Abstract. The aim of this paper is to report on an experimental study about Turkish Earthquake Code on suggested strengthening method. The proposed method uses existing brick infill walls and the strengthening is done with the application of external mesh reinforcement and plaster. 5 nonductile 1/2 scaled, one bay, two storey RC specimens were tested under a reversed cyclic loading. The first two specimens were reference specimens and the other ones were strengthened with the proposed method. The specimens contained several design and construction mistakes such as low concrete quality and improper steel detailing. Strength, stiffness and storey drifts of the test specimens were measured. The results of the test on these frames were compared with the reference specimens. The effects of the reinforced mesh plaster application for strengthening on behaviour, strength, stiffness, failure mode and ductility of the specimens were investigated. Unexpected failure modes were observed during the testing and the results were summarized in this paper.
Introduction
Many existing reinforced concrete (RC) frame structures, that were designed and constructed during the 1950s through to the 1990s, (according to the design codes of the 70s), in many regions of the Turkey, do not meet the current seismic design requirements set forth by the Turkish Earthquake Code (2007) and have an inadequate safety assessment (Rocha et al., 2004) . A large number of those buildings exhibited fierce damage and some were on the verge of collapse (Oliveto and Decanini, 1998) . Despite their rarity and moderate intensity, earthquakes not only in Turkey but
Correspondence to: M. Kamanli (mkamanli@selcuk.edu.tr) also in Europe and the USA have the potential to cause extensive damage and associated financial losses, due to the vulnerability of the local building stock (Belmouden and Lestuzzi, 2009) . Reinforced concrete (RC) frame buildings with nonductile detailing represented a considerable hazard during recent earthquakes (Kaltakci et al., 2007) . Structure that is not designed for prescribed earthquake forces suffered severe damage and was responsible for most of the loss of life during seismic events such as 1999 Kocaeli (Turkey) earthquake (Ghobarah and Elfath, 2001; Binici et al., 2007) .
Those non-ductile RC frame structures may have inadequate lateral resistance and limited ductility. They possess an inherently low resistance to horizontal loads, resulting in large inelastic deformations (Zou and Teng, 2007) during recent earthquakes due to insufficient lateral load carrying capacity. For those structures constructed with insufficient strength and ductility, the required stiffness was not provided. The frames of these structures were designed to resist only gravity loads or gravity and moderate wind load. Older designs often do not have proper reinforcement details needed to ensure ductile behaviour (Geng et al., 1998; Ghobarah et al., 2000; Altin et al., 2007) .
The load carrying system for most of the existing reinforced concrete residential buildings contains flexible columns, soft stories and strong-beam weak-column connections (Altin et al., 2008) . Reinforced concrete buildings designed without seismic considerations have significant deficiencies, such as, poor confinement of the column lap splice area (Ghobarah and Elfath, 2001 ) (due to the insufficient amount of ties with 90 • hooks), discontinuity of positive moment reinforcement in beams and slabs resulting in bond slip of beam bottom reinforcement at the joint (Hueste and Bai, 2007) , lacking transverse shear reinforcing steel, having plain bars and low strength concrete (10) (11) (12) (13) (14) (15) . In 1999, Marmara earthquake caused substantial casualties and severe damage to structures (Firat et al., 2009 ).
Published by Copernicus Publications on behalf of the European Geosciences Union. After the Marmara earthquake, it was observed that, failure of reinforced concrete columns usually occurred in potential plastic hinge regions at the bottom. The reason was, lap splices in the column longitudinal reinforcement was located at member ends, and the lengths of splices were often shorter than those required by building codes. The consisting building stock must be prepared for future earthquakes (Onal, 2009 ) and easily applicable and occupant-friendly new strengthening methods should be developed.
Materials and methods
In the experimental study, a total of five 1/2 scale, onebay, two-storey nonductile RC frame specimens were manufactured and tested as part of the experimental program (Kilic, 2010) . The model ratio of the specimens definitely affect the validity of the test results.
On the other hand, production of specimens in real dimensions is costly considering the limited budget of the test programme and creates lifting and destruction problems. Another problem is the load capacity of the available hydraulic cylinders and loading setup. On the other hand, several studies in the literature (Binici et al., 2007; Anil et al., 2007; Erdem et al., 2006; Altin et al., 2008) used 1/3 model ratio which was smaller than 1/2 model ratio of the current study.
Two specimens, which were reference specimens and the remaining three of which had deficient reinforcement detailing were prepared. The first specimen tested was a bare frame with no infill wall. The second reference specimen was infilled with ordinary perforated clay bricks. The other three specimens were strengthened with the details given in the new Turkish Earthquake Code (2007) . In all test specimens, the geometric dimensions and reinforcement patterns of the frames were identical. Structural characteristics of the specimens were summarized in Table 1 .
During the design phase of the frames, some deficiencies commonly observed in structures were purposely included to reflect the gravity load designed residential buildings in Turkey. Insufficient confinement of concrete at the column and beams with ties having 90 • hooks at their free ends, weak-column, strong-beam connections that are encountered frequently in practice and frames with inadequate lateral stiffness was provided. Also no confinement was provided at beam-column joints.
The total height of the specimens was 3 m. The column dimensions were 160 × 240 mm and the beam dimensions were 240 × 240 mm. In the columns the longitudinal reinforcement consists of four 12 mm diameter plain bars (ρ = 0.0082). In the beams, three tension and three compression reinforcements were placed. In total, six 12 mm diameter plain bars were used as longitudinal reinforcement (effective depth of the beam d = 24 − 2 * 1 = 22 cm, b w = 22 cm, ρ = 0.0064).
Plain bars with a diameter of 8 mm spaced at 150 mm were used as closed stirrups in both the beams and columns. Since specimens were 1/2 scaled models of the real structure, 150 mm stirrup spacing corresponds to the 300 mm interval in real RC members. The longitudinal reinforcements in columns were lap spliced, both at foundation level and first (middle) storey level. The lap length was chosen as 200 mm. Dimensions and reinforcement details of the test frames are shown in Fig. 1 . Also in Fig. 1 , reinforcement details of the joints and stirrup spacings were illustrated.
The frames of the specimens were cast from very low strength concrete to represent the strength of concrete in existing buildings. Based on concrete trial mixes from various recipes for attaining the 28-day target strength of 10 MPa, a design mix was determined. Although the minimum concrete strength stated in the Turkish Earthquake Code is 20 MPa for the 1st earthquake zone, existing structures commonly have a low quality of concrete. This has been observed by several researchers (Kaltakci et al., 2008; Arslan et al., 2007) . Cylinder tests were performed and the concrete strength was approximately 10 MPa at the day of testing. The maximum size of aggregate for 1/2 scale model specimens was 16 mm. The average compressive strength of the mortar and the plaster used in the construction of the masonry walls of specimens was found to be 2.6 MPa. Plain bars were used as the reinforcing steel since such steel has been used in most of the existing residential buildings in Turkey.
Nat. Hazards Earth Syst. Sci., 10, [2305] [2306] [2307] [2308] [2309] [2310] [2311] [2312] [2313] [2314] [2315] [2316] 2010 www.nat-hazards-earth-syst-sci.net/10/2305/2010/ The strengthening technique was applied according to the specification described in Turkish Earthquake Code (2007) . After the specimens were lifted to the vertical position, brick infill walls were constructed by an ordinary worker. The 1/2 scaled clay bricks were used and ordinary mortar was used. The bricks were laid in such a way that their holes were parallel to the horizontal plane. The thickness of the wall was 100 mm (1/2 scale) which is 200 mm in an ordinary exterior wall of a residential building. Infill walls were not constructed on the symmetry axis of the frame for simulating in real application it is approximately 30 mm. The representative illustration of the streng application is given in Figure 2 . In real application an older plaster layer exist and strengtheni applied over the older plaster layer. In experimental studyi the strengthening was directly appli the infills the contribution of the old plaster was ignored. The modulus of elasticity of the materials and other mechanical properties were summarized in Table2. 
The testing system
The laboratory of the University contains a strong floor with 600 mm thickness and uniformly distributed holes with 70 mm in diameter. There is also a strong reaction wall, wit height. Specimens were cast in horizontal position and then lifted to vertical position. Produc exterior walls of the building. One face of the wall was on the same line of the columns while the other face was 140 mm inside the other exterior face of the columns.
The external mesh reinforcement consisted of 16 × 16 mm square meshes with 1.1 mm diameter steel. The shear connections between the frame and infill walls were established with dowel reinforcements. These dowels were attached to the inner faces of the beams and columns with 160 mm intervals in horizontal and vertical directions. The 10 mm diameter bars were used as dowel reinforcement and they were anchored to the RC members with epoxy. Holes, which were drilled on the inner faces of the frame members, were cleaned. The mesh reinforcement was placed on the infill wall and the dowels were inserted into epoxy injected holes. The infill wall reinforcement was also 1/2 scaled. Since both reinforcement and wall was scaled down, the ratio was not changed and chosen as ρ v = ρ h = 0.009 in both vertical and horizontal directions.
The plaster mixes were prepared according to the proportion given in TEC-2007. Both sides of the wall were plastered with the prepared plaster material. The thickness of the plaster was 15 mm and the total thickness of the masonry wall with plaster was 130 mm. The thickness of the plaster was 1/2 scaled and in real application it is approximately 30 mm. The representative illustration of the strengthening application is given in Fig. 2 . In a real application an older plaster layer exists and strengthening was applied over the older plaster layer. In experimental studies, the strengthening was directly applied over the infills, the contribution of the old plaster was ignored. The modulus of elasticity of the materials and other mechanical properties were summarized in Table 2 .
The laboratory of the University contains a strong floor with 600 mm thickness and having uniformly distributed holes with 70 mm in diameter. There is also a strong reaction wall, with a 12 m height. Specimens were cast in a horizontal position and then lifted to a vertical position. Production of the specimens in the vertical position created form and scaffolding problems, making the leveling of the form of the specimens very difficult. In another experimental programme, authors produced two specimens, one of which was casted in a vertical position and another in a horizontal position. No clear differences under lateral loading was observed. So authors preferred the horizontal casting for ease of production. The specimens were built on stiff reinforced concrete foundations and bolted to the rigid floor through holes with high strength steel bolts. The lateral loading equipment consisted of a hydraulic jack with a 1000 kN capacity and three loadcell with a 500 kN capacity. Tests were conducted under reversed cyclic lateral loading simulating seismic action. Lateral load was applied to specimens at the storey levels. Cycles were named as forward and backward cycles and forward cycles were assumed to be positive. Axial load was also applied to the top of the columns with two hydraulic cylinders and was measured with two loadcells. A special apparatus was manufactured to apply axial load. The representation of the test setup, loading system and instrumentation is shown in Fig. 3 . floor through holes with high strength steel bolts. The lateral loading equipment consisted of a hydraulic jack with 1000 kN capacity and three loadcell with a 500 kN capacity. Tests were conducted under reversed cyclic lateral loading simulating seismic action. Lateral load was applied to specimens at the storey levels. Cycles were named as forward and backward cycles and forward cycles were assumed to be positive. Axial load was also applied to the columns top with two hydraulic cylinders and was measured with two loadcells. A special apparatus was manufactured to apply axial load. The representation of test setup, loading system and instrumentation is shown in Figure 3 . The instrumentation setup consisted of LVDT's, and data acquisition system. The specimens were instrumented with LVDTs (linear variable differential transformers) to measure top and middle story displacements. During the tests, story displacements and the lateral loads were saved to the computer and monitored simultaneously. Cyclic lateral displacement excursions were imposed to simulate the seismic demand. The lateral load was applied with a rigid steel beam such that 1/3 and 2/3 of the total load was applied on the middle and top storey, respectively. Loading cycles consisted of preyield and post yield cycles. In the elastic range several cycles were applied with a load controlled history. Beyond the elastic limit, displacement controlled cycles were applied. The maximum displacement capacity of the test setup was 100 mm which corresponds to the 3% drift ratio. During the loading cycles, when target load or displacement was reached, the loading was stopped and new initiated cracks and crack propagation were marked on the specimens and failure mechanisms were observed.
Results
In this section experimental results were summarized with hystesis curves of the specimens. The vertical axis of the curves represents the top lateral load in kN and bottom horizontal axis is the top displacement in mm. Top horizontal axis is the lateral drift percentage of the frame. Also in curves, drift levels corresponding to 0.4% and 1.2 % were highlighted. The failure points of the specimens were marked with a black circle. The instrumentation setup consisted of LVDT's, and data acquisition system. The specimens were instrumented with LVDTs (linear variable differential transformers) to measure top and middle story displacements. During the tests, story displacements and the lateral loads were saved to the computer and monitored simultaneously. Cyclic lateral displacement excursions were imposed to simulate the seismic demand. The lateral load was applied with a rigid steel beam such that 1/3 and 2/3 of the total load was applied on the middle and top storey, respectively. Loading cycles consisted of preyield and post yield cycles. In the elastic range several cycles were applied with a load controlled history. Beyond the elastic limit, displacement controlled cycles were applied. The maximum displacement capacity of the test setup was 100 mm which corresponds to the 3% drift ratio. During the loading cycles, when target load or displacement was reached, the loading was stopped and new initiated cracks and crack propagation were marked on the specimens and failure mechanisms were observed.
In this section, experimental results were summarized with hysteresis curves of the specimens. The vertical axis of the curves represents the top lateral load in kN and the bottom horizontal axis is the top displacement in mm. Top horizontal axis is the lateral drift percentage of the frame. Also in curves, drift levels corresponding to 0.4% and 1.2% were highlighted. The failure points of the specimens were marked with a black circle.
A reference specimen with no infill wall was prepared and tested to understand the bare frame capacity and named as RFB1 (Fig. 4) . Load-top displacement hysteresis curve of the specimen is represented in Fig. 5 . The displacement levels of the initial elastic cycles did not generate any nonlinear deformation in the structure and the loops followed a straight ious failure point can be determined in specimen RFB1. Several flexural cracks the beams and the columns. The onset of stiffness degradation was identified tion of tension cracks at the bottom of the columns.
Figure 4
Reference bare frame RFB1 ure 4, the Δ1 and Δ2 readings were not displayed linear increase. Actuallyi of the plastic hinges, the variation is linear, but after the elastic limit, several med in the ends of beams or columns and linearity was disturbed. line. The maximum load carrying capacity of the specimen was determined as 34.5 kN. Plastic hinges were formed in the beam-column joints. No obvious failure point can be determined in specimen RFB1. Several flexural cracks were observed both on the beams and the columns. The onset of stiffness degradation was identified by simultaneous formation of tension cracks at the bottom of the columns.
As observed from Fig. 4 , the 1 and 2 readings were not displayed linear increase. Actually, before the occurrence of the plastic hinges, the variation is linear, but after the elastic limit, several plastic hinges were formed in the ends of beams or columns and linearity was disturbed.
Second reference specimen RISPS2 was manufactured with the same reinforcement details of RFB1. The concrete compressive strength was the same with the RFB1. The frame was infilled with masonry wall panel. No strengthening was applied on the wall. Ordinary plaster was applied on both surfaces of the masonry wall.
During the testing, it was observed that, at low levels of lateral forces, the frame and infill wall behave monolithically. However, as the lateral force level increases, the frame deforms in a flexural mode while the infill corners damaged. In the early stages of the loading, the frame with infill wall displayed higher in-plane stiffness and strength. The mentioned increase can be seen from the hysteresis curves of the specimen RISPS2 (Fig. 6 ). As observed from Figure 4 , the Δ1 and Δ2 readings were not displayed linear increase. Actuallyi before the occurrence of the plastic hinges, the variation is linear, but after the elastic limit, several plastic hinges were formed in the ends of beams or columns and linearity was disturbed. Second reference specimen RISPS2 was manufactured with the same reinforcement details of RFB1. The concrete compressive strength was same with the RFB1. Frame was infilled with masonry wall panel. No strengthening was applied on the wall. Ordinary plaster was applied on both surfaces of the masonry wall.
During the testing, it was observed that, at low levels of lateral forces, frame and infill wall behave monolithically. However, as the lateral force level increases, the frame deforms in a flexural mode while the infill corners damaged. In the early stages of the loading, frame with infill wall displayed higher in-plane stiffness and strength. The mentioned increase can be seen from the hysteresis curves of the specimen RISPS2 (Figure 6 ). -2,0% -1,5% -1,0% -0,5% 0,0% 0,5% 1,0% 1,5% 2,0% Drift % 0,4% 1,2% -1,2% -0,4%
Figure 6
Load-top displacement hysteresis curve of reference infilled frame RISPS2 Shing and Mehrabi (2002) , identified five main failure mechanisms of infilled frames. Those failure modes are; flexural mode, horizontal sliding crack at the mid-height of an infill, diagonal cracking, sliding of multiple bed-joints (a distinct diagonal strut mechanism with two distinct parallel cracks) and corner crushing. In summary, the failure mechanism and load resistance of an infilled frame depend very much on the strength and stiffness of an infill with respect to those of the bounding frame.
In the test of the specimen RISPS2, fifth mode of the failure was observed. Corners of the wall panels damaged and crushed. Separation of the infill from the frame was obvious at the higher displacement levels. Both upper and bottom wall panels damaged. The failure mode and specimen at the end of the test is given in Figure 7 . RISPS2 specimen survived %22 percent higher lateral load than RFB1 specimen. Shing and Mehrabi (2002) identified five main failure mechanisms of infilled frames. Those failure modes are; flexural mode, horizontal sliding crack at the mid-height of an infill, diagonal cracking, sliding of multiple bedjoints (a distinct diagonal strut mechanism with two distinct parallel cracks) and corner crushing. In summary, the failure mechanism and load resistance of an infilled frame depend very much on the strength and stiffness of an infill with respect to those of the bounding frame.
In the test of the specimen RISPS2, fifth mode of the failure was observed. The corners of the wall panels damaged and crushed. Separation of the infill from the frame was obvious at the higher displacement levels. Both upper and bottom wall panels damaged. The failure mode and specimen at the end of the test is given in Fig. 7 . RISPS2 specimen survived 22% higher lateral load than RFB1 specimen.
Third specimen was named as SPS1. The frame properties and infill configuration was the same with RISPS2 specimen. The strengthening scheme was applied as explained before (Fig. 8) .
Figure 7 Reference infilled frame RISPS2
Third specimen was named as SPS1. The frame properties and infill configuration was same with RISPS2 specimen. Strengthening scheme was applied as explained before (Figure 8 ).
Figure 8 Strengthening of specimen SPS1
Although specimen SPS1 survived %16 higher maximum lateral loading, its performance was evaluated as poor. The dowels or shear keys below the middle beam were disintegrated from the plaster and lateral displacement of the frame suddenly increased. At this time there was also sudden drop in the load carried by the system. The failure point of the dowels -wall-plaster composite can be clearly seen from the last cycle of the load-displacement hysteresis curve (Figure 9 ).
Reference infilled frame RISPS2
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Strengthening of specimen SPS1 ived %16 higher maximum lateral loading, its performance was ear keys below the middle beam were disintegrated from the frame suddenly increased. At this time there was also sudden The failure point of the dowels -wall-plaster composite can be oad-displacement hysteresis curve (Figure 9 ). ecimen SPS1 survived %16 higher maximum lateral loading, its performance was he dowels or shear keys below the middle beam were disintegrated from the splacement of the frame suddenly increased. At this time there was also sudden ed by the system. The failure point of the dowels -wall-plaster composite can be -2,0% -1,5% -1,0% -0,5% 0,0% 0,5% 1,0% 1,5% 2,0% Drift % 0,4% 1,2% -1,2% -0,4% Figure 9 Load-top displacement hysteresis curve of SPS1
After the failure of the dowels, the testing could not be continued. The failure mode of the specimen is given in Figure 10 . During testing, wall panels of specimen SPS1 was showed higher stiffness contribution to the frame than the RFB1 and RISPS2. Also ultimate lateral load carrying capacity of the SPS1 was increased as compared to SPS1 and RISPS2. Several flexural cracks were observed on the beams and columns. But below the first storey beam, premature and sudden failure of the wall-plaster-dowel interface was observed. The plaster cover over the dowels disintegrated and no more shear transfer between beam and the wall become possible. This failure mode was very sudden and in brittle nature. The full capacity of the mesh-plaster-wall composite couldn't be used due to this premature failure. After the failure, the specimen showed similar load-displacement characteristics with the RISPS2 specimen. This failure was attributed to inadequate plaster thickness and at the end of the test; it was decided to increase the thickness of the plaster. This specimen lost 55% of its lateral load carrying capacity immediately after failure of the dowel anchorage with the mesh plaster composite. After the failure of the dowels, the testing could not be continued. The failure mode of the specimen is given in Figure 10 . During testing, wall panels of specimen SPS1 was showed higher stiffness contribution to the frame than the RFB1 and RISPS2. Also ultimate lateral load carrying capacity of the SPS1 was increased as compared to SPS1 and RISPS2. Several flexural cracks were observed on the beams and columns. But below the first storey beam, premature and sudden failure of the wall-plaster-dowel interface was observed. The plaster cover over the dowels disintegrated and no more shear transfer between beam and the wall become possible. This failure mode was very sudden and in brittle nature. The full capacity of the mesh-plaster-wall composite couldn't be used due to this premature failure. After the failure, the specimen showed similar load-displacement characteristics with the RISPS2 specimen. This failure was attributed to inadequate plaster thickness and at the end of the test; it was decided to increase the thickness of the plaster. This specimen lost 55% of its lateral load carrying capacity immediately after failure of the dowel anchorage with the mesh plaster composite. Although specimen SPS1 survived 16% higher maximum lateral loading, its performance was evaluated as poor. The dowels or shear keys below the middle beam disintegrated from the plaster and lateral displacement of the frame suddenly increased. At this time there was also a sudden drop in the load carried by the system. The failure point of the dowels-wall-plaster composite can be clearly seen from the last cycle of the load-displacement hysteresis curve (Fig. 9) .
After the failure of the dowels, the testing could not continue. The failure mode of the specimen is given in Fig. 10 . During testing, the wall panels of specimen SPS1 showed a higher stiffness contribution to the frame than the RFB1 and RISPS2. Also the ultimate lateral load carrying capacity of the SPS1 was increased as compared to SPS1 and RISPS2. Several flexural cracks were observed on the beams and columns. But below the first storey beam, premature and sudden failure of the wall-plasterdowel interface was observed. The plaster cover over the dowels disintegrated and no more shear transfer between the beam and the wall were possible. This failure mode was Nat. Hazards Earth Syst. Sci., 10, 2305-2316, 2010
www.nat-hazards-earth-syst-sci.net/10/2305/2010/ very sudden and brittle in nature. The full capacity of the mesh-plaster-wall composite could not be used due to this premature failure. After the failure, the specimen showed similar load-displacement characteristics with the RISPS2 specimen. This failure was attributed to inadequate plaster thickness and at the end of the test, it was decided to increase the thickness of the plaster. This specimen lost 55% of its lateral load carrying capacity immediately after failure of the dowel anchorage with the mesh plaster composite. After obtaining a dowel-plaster anchorage failure in specimen SPS1, the thickness of the plaster was increased to 30 mm in specimen SPS2 (Fig. 11) . Other properties were the same as SPS1. During the test of SPS2, no damage was observed on the wall panels, but instead some minor cracks formed. Serious cracks were observed on both column bases. These cracks were also extended through the bottom of the lower wall panel (Fig. 12) .
The lateral load-top storey displacement hysteresis curves are presented in Fig. 13 . The maximum lateral load obtained during the testing was 63.2 kN, which was 82% higher than bare frame and 50% higher than the reference infilled specimen. The wall panels contributed to the load carried by the system and also increased the stiffness of the frame, but failure of the panel could not be obtained. The reason for the failure attributed to the slippage of the reinforcing bars at the bottom of the columns. The low concrete strength, plain undeformed bars and insufficient lap splice length at the joint created such a failure mode.
Specimen SPS3 was prepared according to the results obtained in the SPS2 testing. The bottom joints of the columns were improved by increasing the lap length of the longitudinal reinforcements. The 200 mm lap length was increased to 420 mm (20 f ×1.5) lap length which was applied in the Turkish Earthquake Code. Other properties were as SPS2. The maximum lateral load carried by the system was obtained as 69 kN. No lap splice failure was observed at the bottom of the columns. Also dowel-plaster failure did not form. The specimen survived a 10% higher lateral load than SPS2. On the other hand, as the load levels increased, several cracks were concentrated on the middle beam-column joint and those cracks determine the failure mode. Middle joints were seriously damaged and the lateral load carried by the system dropped drastically. Left and right joint failure photos are given in Fig. 14 and 15 , respectively.
The column stirrups did not exist in the beam column joints. Also lap splice length of the column's longitudinal reinforcement was insufficient at those points. In addition to these detailing mistakes, another effective parameter to the failure was poor concrete quality. The lateral load at the joints was transferred to the foundation, through diagonal struts along the wall panel. As a result, inclined inner forces were acting on the joints. Since the joints did not have enough confinement and strength, they failed. The failure point of the joints can also be seen from load hysteresis curves (Fig. 16). were formed. Serious cracks were observed on both column bases. Th through the bottom of the lower wall panel (Figure 12 ). 
Comparison of results
The lateral load-top displacement characteristics for all the specimens are presented and compared in this section. The comparison of the behaviour of the test specimens is made in terms of lateral strength, stiffness, maximum storey drifts and energy dissipation characteristics. The envelopes let us compare the relative performance of the specimens. To enable the comparison among the test specimens studied here, the load-displacement envelopes are plotted by connecting the maximum peak points of consecutive hysteresis curves. The response envelope curves of the strengthened specimens are given in Fig. 17 together with that of the reference bare frame and reference infilled specimen. These plots have a better representation of the rate of stiffness degradation. As can be seen from this figure, strength and stiffness of both strengthened frames were significantly higher than those of the reference specimens Also in Fig. 18 , the comparison ratio of the ultimate lateral loads to the reference empty specimen RFB1 is given in a clustered column type chart. This figure lets us compare the relative performance of the specimens. The lateral load-top storey displacement hysteresis curves are presented in Figure 13 . The maximum lateral load obtain during the testing was 63.2 kN, which was %82 higher than bare frame and %50 higher than reference infilled specimen. The wall panels were contributed to the load carried by the system and also increased the stiffness of the frame, but failure of the panel couldn't be Specimen SPS3 was prepared according to the results obtained in SPS2 testing. The bottom joints of the columns were improved by increasing the lap length of the longitudinal reinforcements. The 200 mm lap length was increased to 420 mm(20fx1.5) lap length which was given in the Turkish Earthquake Code. Other properties were as SPS2. Maximum lateral load carried by the system was obtained as 69 kN. No lap splice failure was observed at the bottom of the columns. Also dowelplaster failure didn't formed. The specimen survived %10 higher lateral load than SPS2. On the other hand, as the load levels increased, several cracks were concentrated on the middle beam-column joint and those cracks determine the failure mode. Middle joints were seriously damaged and lateral load carried by the system dropped drastically. Left and right joint failure photos are given in Figure 14 and Figure 15 , respectively. The maximum ultimate load was obtained in Specimen SPS3 and a relatively low ultimate load capacity was observed in Specimen SPS1.
From this figure, the contribution of the infill can be seen (RISPS2) as compared to the bare frame capacity. By examining Figs. 17 and 18, it can be concluded that, both the strength and the stiffness were significantly improved by introducing external mesh reinforced infill.
Another phenomenon that must be considered for comparison purposes is the maximum drift of the frame. The deformation control is important to ensure the serviceability requirements (Dundar and Kara, 2007) . In the design process of reinforced concrete buildings, the serviceability limit state for lateral drift is an important design criterion that must be satisfied to prevent large second-order P-delta effects. All Seismic Codes provide limits to prevent extensive structural and non-structural damage and to minimize the second order effects (Erdem, 2006) . Turkish seismic code specifies the interstorey drift limit as 0.02 for the RC framed systems, yet this value in Eurocode 8 regulations, for brittle nonstructural infills in contact with the RC frame, is taken equal to 0.5% . Calvi (2000) states that the 0.4% drift corresponds to the condition called "design earthquake" while 1.2% drift represents the "extreme earthquake" one. The maximum drift ( max) was approximated as the drift ratio corresponding to the strength deteriorated by 20% of the ultimate load (0.8 times ultimate load-Vmax) (Han and Jee, 2005) . The calculated maximum load Vmax, corresponding top displacements were presented together with the yield point at 0.75× Vmax and the ultimate drift limit at 0.8× Vmax were tabulated in Table 3 .
For specimen RISPS2 and SPS1, maximum drift ratios were 1.99 and 1.31, respectively. External mesh reinforcement application caused a decrease in the drift value, but it was also above the code requirements. Also for specimens SPS2, this drift ratio corresponding to the 20% of the ultimate load is 1.69. The slip at the bottom of the columns increased the drift ratio of the specimen. The minimum drift was obtained in the SPS3 specimen, which was 1.19. The measured storey drift ratios for all the strengthened specimens at ultimate load were greater than the limit drift ratio that was suggested by the regulations.
Nat. Hazards Earth Syst. Sci., 10, [2305] [2306] [2307] [2308] [2309] [2310] [2311] [2312] [2313] [2314] [2315] [2316] 2010 www.nat-hazards-earth-syst-sci.net/10/2305/2010/ plaster failure didn't formed. The specimen survived %10 higher lateral load than SPS2. On the other hand, as the load levels increased, several cracks were concentrated on the middle beam-column joint and those cracks determine the failure mode. Middle joints were seriously damaged and lateral load carried by the system dropped drastically. Left and right joint failure photos are given in Figure 14 and Figure 15 , respectively.
Figure 14
Failure of left beam-column joint plaster failure didn't formed. The specimen survived %10 higher lateral load than SPS2. On the other hand, as the load levels increased, several cracks were concentrated on the middle beam-column joint and those cracks determine the failure mode. Middle joints were seriously damaged and lateral load carried by the system dropped drastically. Left and right joint failure photos are given in Figure 14 and Figure 15 , respectively.
Failure of left beam-column joint plaster failure didn't formed. The specimen survived %10 higher lateral load than SPS2. On the other hand, as the load levels increased, several cracks were concentrated on the middle beam-column joint and those cracks determine the failure mode. Middle joints were seriously damaged and lateral load carried by the system dropped drastically. Left and right joint failure photos are given in Figure 14 and Figure 15 , respectively. The column stirrups did not exist in the beam column joints. Also lap splice length of the column longitudinal reinforcement was insufficient at those points. In addition to these detailing mistakes, another effective parameter to the failure was low concrete quality. The lateral load at the joints was transferred to the foundation, through diagonal struts along the wall panel. As a result, inclined inner forces were acting to the joints. Since joints didn't have enough confinement and strength, they failed. The failure point of the joints can also be seen from load hysteresis curves ( (Figure 16) . -2,0% -1,5% -1,0% -0,5% 0,0% 0,5% 1,0% 1,5% 2,0% Drift % 0,4% 1,2% -1,2% -0,4% Figure 16 Hysteresis curves of specimen SPS3
Comparison of Results
The lateral load-top displacement characteristics for all the specimens are presented and compared at this section. The comparison of the behavior of the test specimens is made in terms of lateral strength, stiffness, maximum story drifts and energy dissipation characteristics. The envelopes let us compare the relative performance of the specimens. To enable comparison among the test specimens, studied here, the load-displacement envelopes are plotted by connecting the maximum peak points of consecutive hysteresis curves. Response envelope curves of the strengthened specimens are given in Figure 17 together with that of the reference bare frame and reference infilled specimen. These plots have better representation of the rate of stiffness degradation. As can be seen from this figure, strength and stiffness of both strengthened frames were significantly higher than those of the reference specimens 
parison of Results
The lateral load-top displacement characteristics for all the specimens are presented and red at this section. The comparison of the behavior of the test specimens is made in terms of strength, stiffness, maximum story drifts and energy dissipation characteristics. The envelopes compare the relative performance of the specimens. To enable comparison among the test ens, studied here, the load-displacement envelopes are plotted by connecting the maximum oints of consecutive hysteresis curves. Response envelope curves of the strengthened specimens en in Figure 17 together with that of the reference bare frame and reference infilled specimen. plots have better representation of the rate of stiffness degradation. As can be seen from this strength and stiffness of both strengthened frames were significantly higher than those of the ce specimens With the increase in displacement and in the number of cycles, the hysteretic loops tend to be inclined. This modification corresponds to a reduction in stiffness. This characteristic permits a quantification of the damage (Colomb et al., 2008) . The stiffness values of the hysteresis loops were evaluated and they are presented in graphical form in Fig. 19 . The horizontal axe of the graphic is the maximum displacement of the cycle. The rate of stiffness degradation can also be calculated from these plots. The post yield behaviour is signified by monotonic degradation of stiffness. The stiffness of the strengthened specimens was significantly higher than the stiffness of the bare frame and reference infilled specimen.
The ability of the structure to survive an earthquake depends on its ability to dissipate the input energy. The energy dissipation with hysteretic damping was determined by calculating the areas enclosed by the hysteretic loaddisplacement loops. An estimate of the dissipated energy can Also in Figure 18 , comparison of ratio of the ultimate lateral loads to the reference emp specimen RFB1 is given in clustered column type chart. This figure let us compare the relativ performance of the specimens. 
Ratio (KN/KN)
Ultimate Load/Reference Ultimate Load e reference empty specimen's ultimate load Figure 18 Ratio of specimen ultimate load to th
The maximum ultimate load was obtained in Specimen SPS3 and a relatively low ultimat load capacity was observed in Specimen SPS1. From this figure, contribution of the infill can be see (RISPS2) as compared to the bare frame capacity. By examining the Figures 17 and 18 , it can b concluded that, both the strength and the stiffness were significantly improved by the introducin external mesh reinforced infill.
Another phenomenon that must be considered for comparison purposes is the maximum dri of the frame. Deformation control is important to ensure the serviceability requirements (Dundar an . In the design process of reinforced concrete buildings, the serviceability limit state fo lateral drift is an important design criterion that must be satisfied to prevent large second-order P-delt effects. All Seismic Codes provide limits to prevent extensive structural and non-structural damag and to minimize the second order effects (Erdem, 2006) . Turkish seismic code specifies the interstore drift limit as 0.02 for the RC framed systems, yet this value in Eurocode 8 regulations, for brittl nonstructural infills in contact with the RC frame, is taken equal to 0.5% . Calv (2000) , states the 0.4% drift corresponds to the condition called "design earthquake" while 1.2% dri represents the "extreme earthquake" one. The maximum drift (Δmax) was approximated as the dri ratio corresponding to the strength deteriorated by 20% of ultimate load (0.8 times ultimate load Vmax) (Han and Jee, 2005) . Calculated maximum load Vmax, corresponding top displacements wer presented together with the yield point at 0.75xVmax and ultimate drift limit at 0.8xVmax wer tabulated in Table 3 . For specimen RISPS2 and SPS1, maximum drift ratios were 1,99 and 1,31 respec External mesh reinforcement application caused a decrease in the drift value, but it was also abo code requirements. Also for specimens SPS2, this drift ratio corresponding to the 20% of the ul load is 1.69. The slip at the bottom of the columns increased the drift ratio of the specimen minimum drift was obtained in SPS3 specimen, which was 1.19. Measured storey drift ratios strengthened specimens at ultimate load were greater than the limit drift ratio that was suggest the regulations.
With the increase in displacement and in the number of cycles, the hysteretic loops tend inclined. This modification corresponds to a reduction in stiffness. This characteristic perm quantification of the damage (Colomb et al., 2008) . Stiffness values of the hysteresis loops evaluated and they are presented in graphical form in Figure 19 . The horizontal axe of the grap the maximum displacement of the cycle. The rate of stiffness degradation can also be found ou these plots. The post yield behavior is signified by monotonic degradation of stiffness. The stiffn the strengthened specimens was significantly higher than those of the bare frame and reference in specimen.
Figure 19
Comparison of stiffness degradation Ability of the structure to survive an earthquake depends on its ability to dissipate the energy. The energy dissipation with hysteretic damping was determined by calculating the enclosed by the hysteretic load-displacement loops. An estimate of the dissipated energy can be by the area inside the load-displacement hysteresis loops. The width of the loop also depends maximum cycle displacement. Since imposed displacements were not same for all specimens, e dissipation values were normalized by dividing them to the corresponding cycle displace Cumulative energy values were evaluated by successive summation of the values. Figure 20 d the variation of cumulative dissipated energy as a function of cycle displacements. It may be note a wider loop (i.e. a large difference in ordinates in the ascending and the descending paths) signify higher hysteretic damping. be found by the area inside the load-displacement hysteresis loops. The width of the loop also depends on the maximum cycle displacement. Since imposed displacements were not the same for all specimens, energy dissipation values were normalized by dividing them into the corresponding cycle displacement. Cumulative energy values were evaluated by successive summation of the values. Figure 20 depicts the variation of cumulative dissipated energy as a function of cycle displacements. It may be noted that a wider loop (i.e. a large difference in ordinates in the ascending and the descending paths) would signify higher hysteretic damping.
Reference specimens dissipated the smallest amount of energy. Also specimen SPS1 displayed the poorest energy dissipation performance among the strengthened specimens. The energy dissipation capacity of strengthened specimens was significantly improved by the increase in the thickness of the plaster. Specimen SPS3 dissipated the largest amount of energy among the others (Kilic, 2009) . ference specimens dissipated the smallest amount of energy. Also specimen SPS1 displayed poorest ergy dissipation performance among the strengthened specimens. The energy dissipation capacity of engthened specimens was significantly improved by the increase in the thickness of the plaster. ecimen SPS3 dissipated the largest amount of energy among the others (Kilic, 2009).
Discussion
Examination of existing structures brings to light initial design and/or construction mistakes d many existing structures in Turkey are inadequate based on the current seismic design codes. ce the potential for damage and loss of life during future seismic events is unacceptably high hobarah and Elfath, 2001), it is important to improve the seismic resistance of systems that are nd to be vulnerable. It is urgent to develop effective and economic seismic rehabilitation systems d to retrofit nonductile deficient RC buildings before an earthquake occurs.
One of the main reasons for catastrophic results after the earthquakes is the inadequacy in eral stiffness. The necessary amount of strengthening must be provided to increase the lateral ffness and to improve the seismic behavior of buildings (Erdem et al., 2006) .
The lateral stiffness of the frame systems can be increased by introducing new RC shear walls, gonal steel bracings or rehabilitation of existing brick infill walls. The significant effects of the ills on structural responses of frames have been realized by many researchers (Hao et al., 2002) . sence of infill walls can be beneficial and they enable the building to avoid collapse by limiting er-storey deformations and providing additional base shear capacity to the existing structural system inici et al, 2007). Infills can completely change the distribution of damage throughout the structure olšek and Fajfar, 2008) . In order to rely on infill wall during an earthquake, they need to be engthened so that they contribute to lateral load-carrying capacity. New Turkish Earthquake Code ted three strengthening techniques for brick infill walls. The aim is to convert the existing infill into oad carrying system acting as a cast-in-place concrete shear wall. Fist method is the use of CFRP terial. The diagonal CFRP strips that were used to retrofit brick masonry infilled reinforced ncrete frames were effective in increasing lateral strength and lateral stiffness significantly. Second thod is, bonding precast concrete panels on hollow brick masonry infill walls.
The last method is to apply external mesh reinforcement, attached to the existing brick wall. ce this method was recently introduced in TEC-2007, few studies exist in the literature. In order to 
The examination of existing structures brings to light the initial design and/or construction mistakes and many existing structures in Turkey are inadequate based on the current seismic design codes. Since the potential for damage and loss of life during future seismic events is unacceptably high (Ghobarah and Elfath, 2001) , it is important to improve the seismic resistance of systems that are found to be vulnerable. It is urgent to develop effective and economic seismic rehabilitation systems and to retrofit nonductile deficient RC buildings before an earthquake occurs.
One of the main reasons for catastrophic results after the earthquakes is the inadequacy in lateral stiffness. The necessary amount of strengthening must be provided to increase the lateral stiffness and to improve the seismic behaviour of buildings (Erdem et al., 2006) .
The lateral stiffness of the frame systems can be increased by introducing new RC shear walls, diagonal steel bracings or the rehabilitation of existing brick infill walls. The significant effects of the infills on structural responses of frames have been realized by many researchers (Hao et al., 2002) . The presence of infill walls can be beneficial and they enable the building to avoid collapse by limiting inter-storey deformations and providing additional base shear capacity to the existing structural system (Binici et al, 2007) . Infills can completely change the distribution of damage throughout the structure (Dolšek and Fajfar, 2008) . In order to rely on infill wall during an earthquake, they need to be strengthened so that they contribute to lateral load-carrying capacity. New Turkish Earthquake Code stated three strengthening techniques for brick infill walls. The aim is to convert the existing infill into a load carrying system acting as a castin-place concrete shear wall. The first method is the use of CFRP material. The diagonal CFRP strips that were used to retrofit brick masonry infilled reinforced concrete frames were effective in increasing lateral strength and lateral stiffness significantly. The second method is bonding precast concrete panels on hollow brick masonry infill walls.
The last method is to apply external mesh reinforcement, attached to the existing brick wall. Since this method was recently introduced in TEC-2007, few studies exist in the literature. In order to evaluate a new strengthening method which is rapid, practical, economical and occupant-friendly, an experimental study was conducted in the Structural Laboratory of the University.
In this paper, an experimental investigation was conducted to assess the behaviour of RC frames with external mesh reinforcement over the infill walls. The following conclusions were drawn based on the results of the cyclic tests.
The thickness of the plaster is important. Specimen SPS1 developed the lowest strength among the infilled specimens. This specimen lost 50% of its lateral load carrying capacity immediately after failure of the dowel anchorage with the mesh plaster composite. 15 mm plaster thickness is insufficient and is increased to 30 mm in other specimens. In real dimensions, 30 mm plaster thickness corresponds to 60 mm plaster thickness. Definitely the model study involves scale errors. At this point, an experimental study about the thickness of the plaster is needed in real dimensions. The frame may be one storey and only plaster thickness is the variable of the study.
Reinforcement details of the beam-column joints are important. A nonductile frame with bad reinforcement configuration cannot be strengthened with mesh reinforcement and plaster application which was presented in TEC-2007. The design engineer must solve the lap splice or confinement problems of the joints, first. A similar conclusion was also stated in the study of Altin et al. (2007) .
For structures with very low concrete quality, this method is not an optimal choice. One can increase the strength of the brick walls with mesh reinforcement, but the frame may be damaged on the most forced points where stress concentration occurs. If the concrete quality is near to 10 MPa, jacketing of columns is needed. Rehabilitation of the existing brick walls with mesh reinforcement and the plaster application method can be applied after the jacketing.
Another discussion about the rehabilitation of the nonductile frames is the existing foundations. Increasing the shear/force capacity of the frame resulted in an increase on the demand of the foundations and the failure of the foundation should be avoided in any case. The design engineer must investigate and analyse the existing foundation. If the capacity of the existing foundation is not satisfactory, additional rehabilitation must be applied concerning the foundations.
Additional experimental work is needed to understand the frame behaviour. This test can be repeated with a concrete quality of 15 MPa.
